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PREFACE 


This report deals with a full-scale failure test on a stage-construc
ted test fill on organic soil. The test took place at the Antoniny 
test site in North-Western Poland. 

The construction, observation of the fill and final failure test have 
been carried out as a joint research project between the Agricultural 
University of Warsaw and the Swedish Geotechnical Institute. 

The failure test constitutes a part of a larger project concerning the 
behaviour of stage-constructed embankments on organic soils. The beha
viour of the fill during the first three construction stages and the 
soil conditions at the Antoniny·site have been described in detail in 
a previous joint report, (Wolski et at 1988) . 

The failure test has been performed by staff from the Department of 
Geotechnics, while the previous investigations and the calculations 
have been carried out by both parties . 

The failure test was supported by internal funds at the Department of 
Geotechnics and by the Polish construction company WZIR Pita . 

The authors especially wish to express their gratitude to Eugeniusz 
Koda for excellent work with the field observations. 

Warsaw and Linkoping in November 1988 

The Authors 
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SUMMARY 


A test fill has been built on top of 8 metres of very soft organic and 
calcareous soils. The fill was first built 1n stages and the increase 
in shear strength due to consolidation 1n the different stages has 
successfully been utilized in the construction of the subsequent 
stages. In three initial stages the deformations, the pore pressures 
and the increases in shear strength were carefully monitored over 
three and a half years. The fill was then brought to failure by 
successively increasing the height of the fill. The final failure test 
was completed in a week and can be considered as an undrained failure 
test. 

In the early stages, it was shown that by constructing the fill in 
stages, it was possible to safely construct a fill twice as thick as 
the original shear strength in the ground would have permitted . After 
another two years of consolidation even this load could be doubled to 
an 8 m thick fill before failure occurred. 

Failure occurred along a non-circular failure zone which clearly could 
be divided into zones of active shear , direct simple shear and passive 
shear. The shape and location of the failure zone and the ultimate 
load were governed by the existence of a weak layer in the middle of 
the compressible and low permeable soil. Due to the limited degree of 
consolidation in this layer, it had a much lower shear strength than 
the soil above and below with shorter drainage paths. With more time 
for consolidation or by speeding up the process with effective verti
cal drains, the final fill could have been made even higher. 

The increase in shear strength due to consolidation was found to be 
confined to the soil directly below the fill. It was largest and about 
uniform under the crest area, decreasing very moderately out to the 
midpoints of the slopes and then rapidly decreasing to cease almost 
completely under the toe of the slope. This generally confirmed the 
simple model that the shear strength increase is confined to the soil 
below the area within the midpoints of the slopes. 

The increase in shear strength did not quite follow the increase 
in preconsolidation pressure but the relation ~fu/o' ( or 
c /o' ) decreased with increasing stresses. On the othe~ hand, 
t~erep were pronounced creep effects which caused higher increases in 
quasi preconsolidation pressures and associated shear strengths than 
those corresponding to the actual increases in effective stress. 

Evaluation of the stability of the fill became increasingly complex as 
the construction progressed. The variation of the shear strength in 
the soil increased and the shear strength in the fill material became 
increasingly important. The latter strength had to be assumed with 
consideration to the large deformations in the soft soil below. The 
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shape of the fill was roughly a truncated pyram1d and the load became 
more and more unevenly d1str1buted as the thickness of the f111 
increased. Three-dimens1onal end effects became more and more obvious 
but also increasingly d1fficult to est1mate because of the shape of 
the fill and the uneven d1stribut1on of the shear strength in the soil 
below and outside the fill. Below the f111 the strength also varied in 
all directions. 

Two-dimensional stab1lity analyses in the earlier stages before the 
failure test showed that the safety factor was then relat1vely low. 
This was found both in analyses using undrained shear strength and in 
analyses using effective strength parameters and measured pore pressu
res . The calculated safety factors were between 1. 1 and 1.2. When 
three-dimensional end effects are taken into account they increased to 
about 1.2 - 1.3. 

Two-dimensional undra1ned analyses for the failure test yielded safety 
factors around 0.9. Rough estimates of the three-d1mens1onal effects 
us1ng des1gn charts for homogeneous cond1t1ons and a s1mple cal
culation model 1nd1cated that the three-d1mens1onal effects should 1n
crease the safety factor by 10 to 20 X. The three-dimens1onal factor 
of safety would thus be close to un1ty. 

With due respect to the complexity of the case and the uncertaint1es 
in the assumpt1ons 1n the stab111ty analyses, the observation of the 
test fill and the fa1lure test nevertheless showed that the models 
used for prediction of shear strength and the common methods for sta
bility analysis yield reasonable results. 
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NOTATIONS AND SYMBOLS 

c' 	 Effective strength parameter 

CK UTC 	 Undrained K -consolidated triaxial compression test 
0	 0 

DSS 	 Direct simple shear test 

ESL=(o'p) 0 /o'v 	 Effective stress level 

F 	 Safety factor 

FVT 	 Field vane test 

mnc 	 Exponent, slope of the relation between log (~fulovl 
and log (ESL) fn the normally consolidated 
state, (ESL.{1) 

m0 c 	 Exponent, slope of the relation between log (~fulovl 
and log (ESL) in the overconsolidated state 
(ESL 2 1) 

S 	 Normalized undrained shear strength at ESL=l 

u 	 Pore pressure 

ua 	 Artesian pore pressure 

uh 	 Hydrostatic pore pressure 

o' 	 Effective stress 

o' 	 Preconsolidation press ure 
p 

(o'p)o Initial preconsolidation pressure 

o' Effective vert ica l stress 
V 

~fu Undrained shear strength 

~· Effective strength parameter, angle of friction 
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1. INTRODUCTION 

The construction of roads and dykes on organic soils is associated 
with a number of problems as the organic soils are often highly com
pressible and have low shear strengths. 

The methods of construction, as well as the methods and equipments 
used for .sampling and testing that are normally used in other soft 
soils, may not be adequate in organic soils. Also the calculation 
methods normally used to predict stability and deformations may not be 
directly applicable to this type of soil. 

However, in many countries there are large areas with organic soils 
where different kinds of embankments have to be constructed. In such 
cases, the prediction of soil behaviour and the selection of a proper 
design method become an important as well as a difficult engineering 
task. 

In Poland, embankments and dykes are often located in swampy areas 
with very soft organic soils (e.g . peat, gyttja, gyttja-bearing cal
careous soil). 

In 1975, the Department of Geotechnics at Warsaw Agricultural Univer
sity (DG) was commissioned by the Polish Ministry of Agriculture to 
investigate the conditions for construction of dykes in the Notec 
River Valley . 

The initial investigations along the Notec River indicated very diffi
cult geotechnical conditions. Extensive in situ and laboratory in
vestigations have later been performed at two sites in the area. The 
first site was the Bialosliwie site where the organic soil layers are 
only about 4 m thick and the second site is the Antoniny site with 
about 8 metres of organic soils. Several test embankments were built 
at the Bialosliwie site during the period 1976-1982. The embankments 
were constructed on varying kinds of organic soils with the aim of 
studying the consolidation process, as well as stability and the pos
sibility of utili zing vertical drains in this type of soil. 

The results of these investigations have been reported in internal re
ports, doctoral theses and conference papers. 

In Sweden, roads are often constructed across peat bogs and other 
areas with organic soils. The Swedish Geotechnical Institute (SGI) has 
investigated design methods and developed field and laboratory tests 
and equipments for this purpose, mainly since 1977. The investigations 
have mostly been made on commission from the Swedish National Road Ad
ministration and the Swedish Council for Building Research has also 
given substantial grants. The investigations have included test em
bankments on peat , the development of a new peat sampler, development 
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of laboratory methods and development of calculation methods. Some 
aspects of the use of vertical drains in organic soils have also been 
studied. A summary of these investigations has been presented by Carl
sten (1988). 

Discussions on a joint research project between DG and SGI concerning 
constructiorr of embankments organic soils started in 1981. The aim of 
the collaboration was to combine the resources and experience at DG in 
construction of embankments on organic soils and the experience and 
capabilities at SGI in investigation and instrumentation in very soft 
soils. Within this joint project two test embankments have been cons
tructed in stages at the Antoniny site. Under one of these embankments 
vertical prefabricated drains were installed. The results of the soil 
investigations and the observed. behaviour of the embankments have been 
presented in a joint report by DG and SGI, (Wolsk i et al 1988). 

The prediction of shear strength increase and calculation of stability 
are of the utmost importance in stage construction. The embankments at 
the Antoniny site were successfully constructed with utilization of 
the shear strength increase because of consolidation during the cons
truction period. However, as no failure occurred there was no answer 
as to how close to failure the embankments actually were in the 
various stages . To highlight this point, the test programme was finis
hed by bringing one of the embankments to failure by a further load 
stage, wh i ch was applied gradually but fairly rapidly until failure 
occurred . 

The original purpose of the test embankment had been to study consoli
dation behaviour and the length of the embankment was limited. The 
failure test therefore became a test on a fill in the form of a trun
cated pyramid rather than a test on a long embankment. The three
dimensional aspects of stability in this case are thus obvious and the 
detailed interpretation of the test is rather comp lex. 

In this report the final failure test and the observed behaviour of 
the fi ll are described. The failure load is compared to predictions of 
shear strength increase and common methods of stabi li ty analysis. 
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2. DESCRIPTION OF THE SITE 

2.1 Location and description of the test area 

The test area is located in north-western Poland in the Notec river 
valley. The river Notec originates in central Poland and first flows 
north towards the city of Bydgoszcz, where it turns westwards. It ends 
in western Poland connecting to the river Warta, which in turn con
nects to the river Odra. The river Odra constitutes the western border 
of Poland and has its outlet in the Baltic at Szczecin. The test site 
is located about 100 m south of the Notec River and about 3 km from 
the village Bialosliwie. The river valley is here about 10 km wide and 
the area is relatively flat, Fig. 1. The ground is covered by grass 
vegetation and has so far been used mostly as pasture land. Construc
tion of fish ponds is planned in the area. The upper soft soils in the 
area consist of a layer of calciferous peat on top of a layer of fine 
grained calcareous soil. Under the soft soils there is dense sand. The 
soft soils are quarternary deposits. The sediments originate from the 
limestone in the area and were deposited after the last glaciation. 
The fine grained soft soil forms a tight lid on top of the sand and 
due to the topography of the v~lley there is an artesian water pressu
re in the sand. The area is seasonally flooded. 

2.2 Geotechnical conditions 

The geotechnical conditions before the test embankments were construc
ted are summarized here. The presentation is simplified to give a 
general idea of the soil conditions. A more detailed description can 
be found in Wolski et al 1988. 

The upper two metres of the soil consists of amorphous peat which is 
very calciferous. The ground surface is covered with grass vegetation 
and there is an abundance of cracks and root channels in the upper 
parts of the peat. Further down, the carbonate content increases and 
the organic material decreases and occurs as gyttja. At 4m depth there 
is a yellow-white layer of almost pure carbonate soil (marl). Further 
down, the soil is calcareous with a content of calcium carbonates of 
80 to 90 per cent. The organic content there is about 5 per cent. At 
7m depth, the organic content increases somewhat and the soil is clas
sified as a calcareous gyttja. Below 7.8 m depth there is dense sand. 
The results of the routine investigations in the laboratory are summa
rized in Table 1. 
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a) Areas with organic soil in Poland 

LEGEND 

0.2¾ I ZOLINES FOR ORGANIC CONTENTS 

[J 1-5¾ ~ 5-10¾ ~ 10-20¾ 

.6 TEST SITE D 20-50 ¾ 

b) Valley of Notec River 

• BIAtOSLIWIE 

• SZAlvlOCIN
c) Detail "A" 

• - test fill 

Fig. 1. Lcx:ation of the test site. 
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Table l. Initial soil properties at the Antoniny site. 

Depth Soil Density Water Liquid Plastic Pl as· lful) Sensitivity 
m t/m3 content 1 i mit li mit ti city cone 

% % % index % kPa 

l.47-1.64 	 Blac k very calci fe r- l. 11 341 313 189 124 5.8 
ous amorphous pea t ( 3752) 

3 .0 	 Dark brown very cal- 1. 19 227 221 8 . 5 12 
cife rous dy-bearing 
gyttja 

4.0 	 Yellow white cal- 1. 31 134 129 9.8 12 
careous soil (marl) 

5. 0 	 Grey calcareous soi 1 l . 38 109 96 7 . 0 13 

5.67-5 . 84 	 Grey calcareous soil 42 106 103 54 49 8. 7 

6 .0 	 Grey calcareous soi 1 1. 41 108 97 8.3 13 

7 . 0 	 Green-grey calca reous 1. 33 148 138 7 . 1 11 
gyttja 

Samples from 1.47- 1. 64 m and 5.67-5.84 mare taken with Borra e60 mm sampler. 

Samples from 3 , 4 , 5, 6 and 7 mare taken with Swedish standard piston sampler. 

1) Corrected according to SGI recommendations of 1984 . 

2) Samples taken with Swed i sh peat sampler. 
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2.3 Stress conditions 

The bulk density of the organic and calcareous soil is low. This fact, 
combined with a high ground water level and artesian water pressure in 
the underlying sand, has resulted in very low effective stresses in 
the natural ground. No extreme variations in the ground water situa
tion have 'occurred during the construction period, even if the area 
has been seasonally flooded and the pore pressure in the sand layers 
has varied somewhat. As an average condition, it can be assumed that 
the free ground water level is at a depth of 0.2 m below the ground 
surface. Down to 2 m depth the pore water pressure can be assumed to 
be hydrostatic from the free ground water level . In the underlying 
sand at 7.8 m depth the water pressure is artesian and has been measu
red to correspond to a water head 1.0 to 1.5 metres above the ground 
surface. This means that there is an upcoming ground water flow. The 
gradient seems to be fairly constant between 2.0 and 7.8 m depth. 

The initial effective stress situation is relatively unusual. The ef
fective vertical stresses in the compressible layers are only a few 
kPa and are almost constant with depth. The soil is overconsolidated, 
but the overconsolidation ratio varies depending on the fluctuations 
in ground water level and artesian water pressure in the underlying 
sand. 

2.4 Shear strength 

The undrained shear strength of the soil has been measured in a large 
number of vane shear tests in the field and by fall cone tests during 
the routine investigations in the l aborat ory. Series of active com
pression and passive extension triaxial tests and direct simple shear 
tests were run on samp les f rom two levels. 

Shear strength values obtained in field vane tests and fall cone tests 
have to be corrected. Such correction factors re lat ed to the liquid 
limit of the soil have been proposed by SGI (Larsson et al 1984). 
These correction factors are mainly based on experience from other 
types of soil. A comparison between the average undrained shear 
strength from qualified laboratory tests and the corrected strength 
from field vane and fall cone tests indicates that the factors are of 
the right order also for the soils at the Antoniny site, but the cor
rected strengths from field vane and fall cone tests become relatively 
high in the calcareous soil. A comparison with empirical relations 
between preconsolidation pressure, liquid limit and shear strength 
va lues also shows that the shear strength va lues measured by field 
vane and fall cone become unusually high in the calcareous soil. Ac
cording to the SGI recommendations, this entails that there is a great 
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risk that t he shear strengt h values have to be reduced further t han 
the correction given by t he general correction fac t ors . Also Pol i sh 
experience in t his type of soil i nd icates t hat l arger reductions 
should be made than those gi ven by the Swed i sh general correct ions, 
(Go leb iewska 1976) . 

The correction factors obtained by ca l ibrating the results from vane 
shear tests against averages of the qua li fied laboratory tests were 
0.51 for tests in peat and 0.58 for tests in the calcareous soil. 

The undrained shear s t rengths are very l ow and only amount to 5-6 kPa 
i n the peat and 7- 8 kPa in most of the calcareous soil, Fig. 2. There 
is no unique relation between the undrai ned shear strength and the 
preconsolidation pressure in these so i ls. A bet ter relat ion for the 
var i at ion of shear strength with stress can be obtained by an ex
ponent i al function. The parameters in this function change at the pre
consolidation pressure. 

The effective strength parameters for both the peat and the calcareous 
soil have been found to be c'=2 kPa and ~·=30° within the stress 
levels of interest . 

Undrained s hear strength, kPa 

0 5 10 15 

0 


• T act ive 

2 
 o •I • 

X T direct simple shear 

o T passiveJ 

E I T aver age 


4
:S - corrected f ield vane and fall - cone 
a. 

/(1J SGI general correct i on 
0 /5 - - corrected fi el d v ane and foll- cone 

r calib rated correc tion6 0 

I 
7 I 

8 

Fig . 2 . I nitial undrained shear s trength. 
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2.5 Compressibility 

The compression characteristics have been determined in a large number 
of incremental oedometer and compressiometer tests, as well as oedome
ter tests with constant rate of strain. 

The preconsolidation pressures corresponded to a soil normally conso
lidated for a ground water level 1.5 m below the ground surface down 
to 4 m depth and a ground water level 0.5 m below the ground surface 
below 5 m depth . The prevailing ground water conditions are a free 
ground water level only 0.2 m below the ground surface and artesian 
water pressures in the sand at 7. 8 m depth. This means that in spite 
of the low preconsolidation pressures the soil is overconsolidated, 
Fig . 3. 

The soil is highly compressible. The initial permeabilities are low, 
ranging from 2·10- 8 m/s in the peat to down to 4·10- 10 m/s in the cal
careous soil . They decrease significantly with compression. The high 
compressibility combined with the low permeabilities makes the conso
lidation process time-consuming . 

0 G.W 
- -1'-- --------- - -- - ----

Calciferous \ 
\ • Measured 

amor phous 
pore pressure

r =1.10 t/mJ .,\ . 
0 
(l) \ in natural 

2 Cl. ground 
a cI erous 

J ,, 
E =1.20t/m3 

Lacustrine \ · 

..c. J 
··~ 4 marl ~

P- ~1.J1 \ \0. 
·o

0 
(l) 

Organic ·~ \ .
5 Ill \ \_ 

,•.
:::, 
Ill 

/' =140 t/m3 
\ \ 

0 

•6 
(l) \ \ • 
L.. ,~.
0 
(.) uh ____,,,_ua::i7 Cl UO \ . Gvu .Gyttjo Gv 

\ 

0 20 40 60 80 100 0 10 20 JO 
uh,u, Gv I kPa] G~ I kPo l 

Fig. 3 . Initi al. p:Jre pres sure arr1 verti cal. stress comitions , 

uo = 1.lzi + ua 
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3. STAGE CONSTRUCTION OF THE EMBANKMENT BEFORE THE FAILURE TEST 

3.1 Loads 

The original aim of the project was to safely construct a relatively 
high embankment on soft organic soil. 

The method of construction was chosen with consideration to stability 
aspects. Due to low initial shear strength in the soil, the embankment 
was constructed in stages. It was then possible to utilize the increa
se in shear strength under the embankment due to consolidation. 

The safe load for each stage was estimated from stability analyses 
based on the measured shear strengths of the soil prior to the various 
stages and the construction schedule was then decided. 

The construction of the embankment started in November 1983 and the 
loading schedule was as follows: 

• In STAGE 1, the embankment was built up to a thickness of 1.2 m. 
Time for construction was about a week and the duration of the stage 
was 5 months. 

• STAGE 2 started in April 1984 and the thickness of the embankment 
was then increased to 2:5 m. Time for construction was just over a 
week and the duration of the stage was 13 months. 

• STAGE 3 started at the end of May 1985. The thickness of the embank
ment was then increased to 3.9 m. Time for construction was between 2 
and 3 weeks and this stage was applied for 2 years . 

Field vane tests were performed before construction started, at the 
end of stages 1 and 2 and during stages 2 and 3, Fig. 4. 

The embankment was constructed of layers of sand, about 0.2 m thick. 
The sand had an average bulk density of 1.75 t/m3 and a natural water 
content of about 10%. The embankment was designed with base dimensions 
35x40 m and s lopes with inclinations of 1 :3 on the sides and 1:2 at 
the ends, Fig. 5. 
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" 

FVT - FIELD VANE TEST 

Fig. 4. Construction schedule for the embank1reit before the failure 

test. 

3.2 Instrumentation 

The soil below and outside the embankment was instrumented with moni
toring equipment before construction started. The locations of the 
monitoring equipments for the embankment are shown in Fig. 6. 

Settlement plates and screw plates were placed just below the original 
ground surface and at the interface between peat-gyttja and the cal
careous soil. They were installed at the centre of the embankment, at 
the middle of the slopes, at the toes of the s lopes and outside the 
embankment. 

Magnetic screw settlement gauges were placed under the centre of the 
embankment and under the middle of the slopes. 

A plastic tube for measurements with the hose settlement gauge was in
stal l ed in a shallow ditch across the centre part of the embankment. 

Inclinometer tubes were placed on one side of the embankment. They 
were placed at the middle of the slope, at the toe of the slope and 
outside the slope. Inclinometers were installed 3 and 7 metres outside 
the toe of the slope. 

Piezometers were instal led at three levels at the centre of the em
bankment and at two levels under the slopes of the embankment . Piezo
meters were also installed at three levels 7 metres outside the toe of 
the slope at one side of the embankment. 
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Fig. 5. 	Geanetry of the test embankment in the first three stages of 

construction. 
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3.3 Observations 

Deformations 

The vertical movements in the soil were observed with four types of 
measuring de~ices; hose settlement gauges, surface plates, screw 
plates and magnetic settlement gauges . The magnitude and the distri 
bution of total vertical settlement were measured at the contact 
surface between the original ground and the embankment by hose sett 
lement gauges. The total settlement distribution at various times 
across the test embankment is shown in Fig . 7. 
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Fig_ 7. 	DistriJJution of settlements urrler the test anbankment at 

various times before the failure test, (rose settl ement 

gauge) . 

The compressions of the peat layer and the calcareous soil have been 
separated by levelling the surface plates and the screw plates at the 
interface between the two types of soil, Fig. 8. 

The horizontal displacements were measured by inclinometers inside and 
outside the slope of the embankment. The results are shown in Fig. 9. 
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The deformations in the soil developed largely as follows: 

• In the FIRST STAGE, when 1.2 metres of sand were placed for about 
150 days, the vert ical settlements were about 0 .4 metres. The maximum 
horizontal deformations were about 0.15 m. 

• In the SE£0ND STAGE, the fill was increased with 1.3 m of sand. The 
settlements a year later had increased to 1 .1 m and the maximum hori 
zontal deformations to about 0.35 m. 

• In the THIRD STAGE, the fill was increased with another 1 .4 m of 
sand. Two years after the final load application the settlements had 
increased to 1 .8 m and the maxi mum horizontal displacements had in
creased t o about 0.55 m. 

The horizontal deformations developed during the load application and 
shortly thereafter, but practically stopped with time . The vertical 
deformations on the other hand continued with time and in no loading 
stage was any kind of final settlement obtained. 

Pore pressures 

Pore pressures in the ground below and outside the embankment were 
measured by BAT-piezometers. The piezometer pipes were protected by 
outer pipes in order to fo l low the soil movements at the level where 
they were installed. However, the piezometer readings showed obvious 
signs of pushing and later controls of the positions of the fi l ter 
tips showed that a lmost all piezometers under the embankments had been 
dislocated. The lowest piezometers under the centre of the embankments 
were even pushed out of the calcareous soil and became standing on top 
of the sand layer. 

The results of the total pore pressure measurements under and outside 
the embankment are shown in Fig. 10. 

The interpretation of the pore pressure readings was not straightfor
ward as there were several factors that affected the readings. First, 
there was the pore pressure response to the applied load. Then there 
was the increase in pore pressure as the piezometer followed the sett
lements to a lowe r level. This increase was complicated by the artesi
an water pressure. An assumption had to be made about the distribution 
of the artesian water presures after the excess pore pressures had 
dissipated. Furthermore, there was the effect of pushing both in 
change in level and in pore pressure generation due to the pushing. 
The effect of the latter change in level was almost certainly non
hydrostatic because of the artesian water pressures. Final ly, there 
was the effect of vary ing externa l ground water conditions. 
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Some conclusions could be drawn, however: 

• The greatest increases in pore pressure were observed under the 
centre of the embankment. Due to the pushing of the piezometers, pore 
pressure responses significantly higher than the vertical load increa
se were recorded during the loading phase. These peak pore pressures 
rapidly dissappeared after the loading was concluded. These effects 
are believed to be due to pushing alone, as they were most pronounced 
for the piezometers subjected to most pushing and considerably less in 
the zones where the shear deformations were greater but the pushing 
effects smaller. 

• The excess pore pressures in the peat layer became relatively small 
and rapidly dissipated, indicating short drainage paths and a high 
permeability in the upper zone with cracks and root channels. 

• No complete pore pressure equalization was obtained in any of the 
loading stages. At the end of the first stage, there were rema1n1ng 
pore pressures in the order of 10 kPa . At the end of the second stage, 
which lasted for a year, there were excess pore pressures in the order 
of 20 kPa and at the end of the third stage there remained high excess 
pore pressures two years after the final load application . In the 
middle of the calcareous soil layer they were probably in the order of 
20-30 kPa, but there was no piezometer left at that level at the time . 
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4. DEVELOPMENT OF SHEAR STRENGTH DURING STAGE CONSTRUCTION 

The undrained shear strength of the soil was to a large extent measu
red by field vane tests in situ. An investigation was first ' carried 
out in order to evaluate the influence of various factors in equipment 
and testing _procedure on the shear strength values obtained in field 
vane tests. The test results were also compared to more advanced labo
ratory tests and it was found that the validity for the general cor
rection factors was doubtful in the calcareous soil, (Chapter 2.4). 
The results from the field vane tests have therefore mainly been used 
to study relative changes in shear strength and to supplement other 
tests and empirica l relations in estimation of the design shear 
strengt h to be used in calculations. 

During the consolidation process, vane shear tests were performed with 
standardized equipment and procedure at different locations under the 
test embankment before each new construction stage and also during the 
second and third stage . At each location tests were performed at every 
0.5 m of depth. The measured shear strength values under the embank
ment are shown in Fig. 11. 

The profiles of undrained shear strength obtained by the field vane 
tests show a considerable increase in undrained shear strength due to 
the loading and subsequent consolidation. The highest strength increa
se was measured under the centre of the embankment and the increase 
was most evident in the peat layer. A smaller increase in undrained 
shear strength was obtained under the slope of the embankment, while 
the measured shear strength values under the toe of the slope and 
outside the embankment remained practically unchanged. 

The distribution of the vane shear strength values before the failure 
test is shown in Fig. 12. 

The effective vertical stresses have been estimated from calculations 
of total stress distribution and measured pore water pressures under 
the embankment. 

On two occasions during construction the preconsolidation pressures 
were measured in oedometer tests on samples taken under the centre of 
the embankment. This was done at the end of stage II and at the end of 
stage III just before the failure test. The results from the oedometer 
tests showed that quasi preconsolidation pressures that were higher 
than the acting effective stresses had developed because of creep ef
fects. This was especially valid in the upper peat layer, Fig. 13. 
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The relation between estimated effective stresses and measured shear 
strength values shows large increases in shear strength values when 
the effective stresses exceed the initial preconsolidation pressures. 
A small increase in measured strength values may be detected also in 
the stages where the effective stresses increase but still remain 
below the initial preconsolidation pressures. 

Increase in undrained shear stren~th is usually predicted by assuming 
that the shear strength in a normally consolida t ed soil is a di rect 
function of the preconsolidation pressure. 

,:fu 	"' C a' 
p 
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If the effective stresses decrease and the soil becomes overconsolida
ted, there is usually an associated non-linear decrease in the undrai
ned shear strength. 

' OCR-k~fu ~C. op. 

These two relations are normally considered sufficient for prediction 
of undrained shear strength in mineral soils. In organic soils, howe
ver, the initial stresses and preconsolidation pressures are often 
very low and may be increased many times during a stage-construction. 
Bergdahl et al (1987) therefore proposed the introduction of a norma
lized effective stress level, ESL, whereby also eventually non-linear 
relations between shear strength and preconsolidation pressure for 
normally consolidated soils can -be taken into account. 

where (o'p)o = initial preconsolidation pressure. 

The undrained shear strengths estimated by correction of the shear 
strength values obtained in the field vane tests have been normalized 
against the estimated effective vertical stresses. The relations 
between these normalized undrained shear strengths and the normalized 
effective stress level for the peat and the calcareous soil are shown 
in Fig. 14a. 

Results from laboratory tests performed on peat and calcareous soil 
specimens have been normalized in the same way using the consolidation 
stresses in the laboratory. The results from anisotropically consoli
dated undrained triaxial compression tests (CK UTC) and consolidated 

0 
undrained simple shear tests (DSS) are shown in Fig. 14b. 

The results indicate that the ratio between normalized undrained shear 
strength and normalized effective stress level changes not only in the 
overconsolidated state but also in the normally consolidated state. 

The field vane test cannot be considered a very good tool for measu
ring shear strength increases under embankments with limited widths. 
The measured strength values are mainly influenced by the horizontal 
stresses which do not increase as much under narrow embankments as 
under wider loadings. The current fill, however, was relatively wide 
in relation to the thickness of the compressible layers . The trend in 
the field vane tests is also confirmed qualitatively if not absolutely 
quantitatively by the results from the laboratory tests. 
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The prediction of increase in undrained shear strength with effective 
stress level can be made according to the following relations (Berg
dahl et al 1987): 

m 

= o' S(ESL) nc ESL<=1
"fu V 


m 

= o' S(ESL) oc ESL>1"fu V 

where: 

S = Undrained shear strength at ESL=1 normalized against the 
initial preconsolidation pressure. Thus S varies with 
change in initial preconsolidation pressure . 

mnc 	 Slope of the relation between log 

("fu/o'vl and log (ESL) in the normally 
consolidated state (ESL<=1) 

m c = Slope of the relation between log 
0 

("fu/o'v) and log (ESL) in the overconsolidated 
state 	(ESL>1) 

The parameters S, mnc and m c have been evaluated from the laboratory 
0

and field tests for both types of soil. They vary somewhat between the 
different types of tests. Considering the uncertainty of relevancy and 
correction of the field vane tests, only the laboratory values are 
considered as relevant. The values of m were about 0.8 for both 
types of soil. This value is typicaYcalso for mineral soils. The 
values of S were fairly high and were about 0.39-0.47 for peat and 
0.36-0.44 for calcareous soil. The decrease in normalized undrained 
shear strength with decreasing normalized effective stress level 
(i.e. at increasing preconsolidation pressure) is most pronounced in 
peat with a value of mnc of about 0. 12-0. 16. The corresponding value 
for calcareous soil is about 0.10-0.14. 

The variation in undrained shear strength with stress level for a soil 
with strength parameters S=0.4, m c=0.8 and mnc=0.13 is shown in 
Fig. 15. 0 

A comparison between predicted shear strengths by assuming a linear 
relation between shear strength and preconso li da tion pressure for nor
mally consolidated soil and the new relation shows that up to the 
initial preconsolidation press ure the strengths are the same. For 
stresses increasing above the initial preconsolidation pressure, howe
ver , the undrained shear strengths calculated by the new relation are 
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somewhat lower than the previously suggested relations would have 
given. The relative difference increases with increasing stresses. It 
should be observed that when this type of relation is used together 
with the actual effective stress in order to predict shear strength 
increase due to consolidation, no effect of creep is taken into ac
count. To include this effect, the quasi preconsolidation pressures 
have to be measured or estimated. 

A few cone penetration tests were performed just before the failure 
test. Such tests had previously been performed in the initial so i l in
vestigation, but the equipment available at that time was too coarse 
to allow any more detailed evaluation of the results. The new equip
ment had been specially designed for soft soils with special attention 
to stability at changes of temperature and calibration for the effect 
of pore pressures on measured tip resistance. To obtain initial pro
perties, tests were performed 10 metres outside the toe of the slope 
where no changes in soil properties had been detected since the 
initial investigation. Tests were then performed under the ceritre of 
the fill. Saturation of the pore pressure measuring system in the 
probe could not be maintained when the probe was pushed through the 
fill. A prebored hole with a casing therefore had to be made through 
the fill to obtain a good penetration test. 

Only one such test could be performed, but the results from this test 
in terms of point resistances were very s imilar to the results from 
tests where the probe was pushed through the fill, except for the lack 
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of information on the pore pressures in the latter case. The results 
from these tests are shown as total point resistance qT versus depth 
under the original ground level in Fig. 16. 
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Fig. 16. Results frcm cone penetration tests urner arrl outside the 

test fill before the failure test. 

The undrained shear strength has been evaluated according to Aas et al 
( 1986) as 

,:fu = 
17 

This relation is tentative and has mainly been found for Norwegian 
clays, but there is supplementary support also from tests in other 
soils. The variation of the empirical factor 17 is within+ 25 X for 
the Norwegian clays. 

The shear strengths estimated from the cone penetration tests, the 
corrected field vane tests and the shear strengths calculated using 
the measured preconsolidation pressures in oedometer tests and the re
lation between preconsolidation pressure and direct simple shear test 
obtained in the laboratory are shown in Fig. 17. 
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before the failure test. 

It is found that in the peat all results coincide. In the calcareous 
soil the strengths evaluated from the cone penetration tests and the 
strengths evaluated from laboratory tests are almost equal, while the 
strengths obtained from corrected vane shear tests scatter somewhat. 
As previously pointed out, the corrected vane shear strengths obtained 
by using standrad correction factors are too high in this particular 
soil. When the calibrated correction factors are used, the results 
form the vane shear tests generally confirm the results obtained by 
the other methods. The results unan imously show that the shear 
strength under the centre of the fi l l has increased 3 times in the 
peat layer and about 2 times in the ca l careous so il during the time 
for stage constructi on and consolidation prior to the failure test. 
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5. FAILURE TEST 

5.1 Loading 

The failure test started on July 2nd, 1987 and fa1lure occurred one 
week later. Dur1ng th1s t1me the th1ckness of the f111 was 1ncreased 
from 3.9 m to a final 7.95 m. 

The thickness of the fill was increased by moving over sand from a 
f il l nearby. The sand was then spread in 0.2 m th1ck layers by bulldo
zers and became at the same time compacted by the weight of the machi
nes . In this way the sand, which had a natural water content of 15 X, 
got a bulk dens1ty of 1.95 t / m3

• 

In order to achive failure 1n the desired direction, the fill was made 
sl ig htly assymetric with the steepest slope in the fa1lure direction. 
This geometry was mainly created by a fa1rly large load step during 
the first day. During the next two days two smaller load steps follo
wed where only the he1ght of the crest was increased . The loading was 
then halted dur1ng the fourth day, which was a Sunday. Another fairly 
l arge load step was applied on the follow1ng Monday when also the 1nc
l ination of the slopes was increased. On Tuesday only a small load was 
appl i ed on the crest of the embankment. The final load, which included 
a fu r ther steepening of the slopes, was applied on Wednesday, the 
seven th day . 

The construction schedule and the geometry of the fill during the 
failure test are shown in Figures 18 and 19. 

Fail ure occurred during the night between Wednesday 8th and Thursday 
9th of July . 

5.2 Observations before failure 

The monitoring equipments installed in the ground before construction 
started in 1983 were used to measure vert1cal and horizontal displace
ments as well as pore pressures. The geometry of the fill during the 
failure test was made assymetric in such a way that fa1lure was ex
pected to occur in the direction where the inclinometers and most of 
the piezometers were located. This was also what actually happened. In 
addition to the existing 1nstrumentation, a large number of surface 
mar kers were placed on the ground surface in the expected failure di
rection and their or1ginal levels and pos1tions were f1xed . Fig. 20 . 

Readings of all the measuring equipments (except the magnetic sett
lement gauges and the hose settlement gauge) were taken once or tw1ce 
a day during the failure test. 
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The vertical movements in the soil under the fill were measured by 
levelling of the surface plates located at the interface between the 
fill and the original ground surface on top of the peat layer and of 
the screw plates located at the interface betweerr the layers of peat 
and calcareous soil which was originally at 3.1 m depth . 

The vertical deformations up to failure were small, Fig. 21. The 
maximum vertical deformation was about 0.1 m. Most of this can be at 
tributed to compression of the peat layer. There were no vertical de
formations at the toe of the slope, but a small heave in the ground 
outside. 

The horizontal movements in the ground under the fill were measured by 
inclinometers . Due to shortage of time only two inclinometer tubes 
were measured. They were located at the toe of the slope and at about 
the middle of the slope. In both tubes the additional deformations up 
to failure were moderate. The maximum horizontal movements under the 
slope thus increased by about 0.05 m from 0.55 m to 0.60 m, Fig. 22. 

Both vertical and horizontal deformations increased fairly linearly 
with load and time up to failure. 

The changes in level and position of the surface ma rkers outside the 
fill were insignificant until failure occurred. 

The pore pressures in the ground were measured by BAT-piezometers 
twice a day during the failure test and in the morning after failure 
had occurred. The pore pressures in piezometers P1 and P2 under the 
centre of the fill, P4 and P5 under the slope and P6, P7 and P8 in the 
ground outside the fill were monitored. Piezometer P3 under the centre 
of the fill had been pushed out of the calcareous soil during the 
early construction stages and could not be used. The positions of the 
piezometers during the failure test and the pore pressure readings are 
shown in Fig. 23. 

The pore pressure readings show that there was a large increase in 
pore pressure in the calcareous soil under the fill. The pore pressu
res in the peat also increased but by a much smaller amount, indica
ting that there was a significant degree of pore pressure dissipation 
in this layer during the failure test. 

The loading was applied in uneven steps with varying loaded areas and 
durations of the loads. This is reflected in the measured pore pressu
res , where the first large and wide load brought a rapid increase in 
pore pressure. The increase in pore pressure with time decreased 
during the subsequent two small load steps and the break for one day 
in the loading process. The renewed loading process directly brought 
an increased rate in pore pressure build-up . 
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The increase in pore pressure at P2 is plotted against the increase in 
total stress at this point in Fig. 24. It can be seen that each load 
increase brings a corresponding increase in pore pressure which then 
increases with time from the readings taken just after load applica
tion to the readings one or two days later . It is a well established 
fact {e.g. Sallfors 1975, Tavenas 1979) that during normal rates of 
load application the pore pressure response in compressible and low 
permeable soils will be less than the vertical stress increase until 
the effective vertical stress reaches the preconsolidation pressure . 
Thereafter the pore pressure response becomes equal to the increase in 
vertical stress until shear failure is approached . Then the pore pres
sures may increase even more. 

The pore pressure response in piezometer P2 was such that the relation 
between the pore pressure increase 6u and the increase in vertical 
stress 6ov oscillated around the line 6u = 6ov - 10 kPa . 
This indicates that the soil at this level at the start of the failure 
test had a preconsolidation pressure which was 10 kPa higher than the 
existing effective vertical stress . This corresponds very well with 
the quasi preconsolidation due to creep effects previously estimated 
(Wolski et al 1988). On the other hand, there is no indication of im
minent failure in the pore pressure response at this point. Nor is 
there any such indication in the readings of piezometer P5. 

A slight increase in the pore pressure response prior to failure may 
be detected in piezometer P1 . However, this increase is small and 
occurs at a stress level where the effective vertical stress has just 
exceeded the very high quasi preconsolidation pressures at this point. 
Like the slight increases in the pore pressure responses at the same 
time in piezometers P2 and P5 seen in Fig . 23, it can also be attribu
ted to the large and wide load step applied on the last day. There was 
thus no conclusive indication of imminent failure from any of the pore 
pressure readings. The pore pressure readings at points P6, P7 and PS 
showed that there were no significant changes in the pore pressures in 
the ground at a distance of 7 m outside the toe of the fill during the 
failu re test. 
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5.3 Observations after failure 

Failure occurred during the night between the seventh and eight day 
after the start of the failure test. In the morning, half of the fill 
including most of the crest had subsided, leaving a back scarp in the 
rema in ing part with a height of more than 1 m at the crest. The 
failure was not symmetric around the centre of the fill. On one side 
of the fil l the crack propagated from the back of the crest almost 
perpendicular to the direction of the movement. On the other side the 
crack cut almost diagonally from the back of the crest to the corner 
of the fill in front at this side . Outside the fill the cracks had 
propagated almost parallel to the direction of movement all the way to 
the ditch located 19 m outside the toe of the embankment . This ditch, 
which runs parallel to the toe of the slope, cuts through the dry 
crust and thus forms a zone of weakness, Fig. 25. 
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Fig. 25. a. Fill after failure. 
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Fig. 25. b . surface cracks after failure. 

51 




40.0 m 

I I .:u 1 

- -,- ·-•- ·,·
I (2m I 
)--7--( 

in 

E 

M/ . "' 
0 

/ I "' 
/ ZONE OFj SUBSIDENCE'-,_ 

/ . "'"' 
/ " / "-.... 

/ • 00 - • 00 
/ ' - .• ·+.. "-..._ Q0 

o.o· o.o __ ______ .. +' -- -kQO _ ___ ·· __ ___'::,] 
-.0.20m 

+0.10 I 
j"-0.29 m 

OD·· +0.16 

ZONE OF HEAVE 

Lo.20 m 

_ __ _ ___ __ _ __ j+0.10!!!.._ _ _ _ _ _ ____ ..±Q.05 

dit eh 

Fig. 25. c. Incation of surface cracks after failure. 

52 




The further measurements after the failure showed that almost all of 
the fill within the failed area had settled, while all of the ground 
outside the fill within the cracks had heaved. The pivot line with no 
vertical movements was almost parallel with the toe of the slope and 
was located inside the slope about 2 m from the toe. The maximum sub
sidence at the crest was in the order of 1.1 m and the maximum surface 
heave in a'zone 2-5 m outside the toe of the slope amounted to 0. 25
0.30 m. This heave gradually decreased towards the ditch where it was 
about 0.1 m, Fig. 26. 

The maximum horizontal movements of the ground surface outside the 
fill were about 0.8 mat the toe. The horizontal deformations gradual
ly decreased to become about 0.2 mat the ditch . There had thus been a 
compression of the passive zone·of about 0.6 m along with the shear 
deformations, Fig. 27. 

The levelling of the surface plates and the screw plates in the soil 
under and outside the slope showed that the points S1 and S2 under the 
centre of the fill had only moved 0 .1-0 .2 m during the failure, compa
red to over 1 m of the overlying crest, Fig. 21. This indicates that 
these points were located outside the main shear zone. The points S3 
and S4 under the central parts of the slope had settled about 0.4 m. 
All plates located outside the fill had heaved between 0.2 and 0.3 m. 

The measurements in the inclinometer tubes showed a large increase in 
horizontal deformations with a pronounced maximum in the weaker layer 
about 2 m above the sand layer. All previous measurements had been 
made in the normal way, where the bottom point is assumed to be fixed 
and the deformations are calculated by integrating the inclinations 
upwards from the tip. Deformations calculated in this way indicated 
that the top of the inclinometer tube had moved about 0. 2 m inwards 
during failure. The measurements of the surface markers on the other 
hand showed that the ground surface in this region had moved almost 
0.8 m outwards from the centre of the fill. It must therefore be 
assumed that the bottom part of the inclinometer tubes had torn loose 
during the fa ilure. Under this assumption, it can be estimated that 
the horizontal displacements in the weaker zone were about 1.4 m under 
the centre of the fill and about 1.3 m under the toe. 

It may also be worth observing that for the part of the fill which was 
not involved in the failure there was an elastic rebound as the verti
cal stresses in the soil decreased. The surface of the remaining fill 
thus heaved about 0.1 m. 

The measured and estimated movements during failure are shown in 
Figures 28 and 29. 
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After the failure of the fill, vane shear tests were performed along 
the centre line of the slide. Tests were performed at eleven locations 
inside the failure zone with varying distances to the back-scarp. At 
each location tests were performed at every 0.4 m of depth. The Polish 
field vane, PS0-1 , which had been used in most of the previous in
vestigations, (Wolski et al 1988), was used. The measured values are 
shown without corrections in Figures 30 and 31. 

Values measured in nearby locations before the failure test are shown 
in some of the profiles. Due respect should in comparison be paid to 
the variations of strength with depth , as well as position in the ho
rizontal plane . By studying the shape of the shear strength profiles 
it was in most profiles still possible to identify zones with a prono
unced drop in shear strength after failure . 

In the first profile, about 2 m from the hack-scarp, there was no in
dication of a failure zone and the shear failure may be assumed to be 
located in the fill material. This was further evidenced by the sett
lement plates in the original centre line which had only relatively 
limited movements after failure. The other profiles under the fill in
dicated a failure zone located in the weaker layer 1-2 m above the 
sand corresponding to the observations in the inclinometer tubes. 
Outside the fill there was a gradual decrease in the depth of this 
zone until it came up to the ground surface at the slope of the ditch, 
where horizontal surface movements of 0.2 m and a heave of 0. 1 m were 
observed. 

From these observations a f ailure zone has been estimated, Figs. 32 
and 33. This zone can be divided into three distinctive parts ; a steep 
active zone passing through the fill material down to the weaker layer 
of ca lcareous soil with the lowest degree of consolidation, a horizon
tal shear zone passing through the weak l ayer and a passive zone star
ting close to t he toe of the fill and extending all the way to the 
ditch. The extensio n of the passive zone is rather large, which can be 
attributed to the existence of the natural weakness zone formed by 
the ditch . It is a rather common observation that the shapes of the 
passive failure zones are often governed by such natural weaknesses 
when the soft soil has a stiffer layer as e.g. a dry crust on top. 
This may be the case in the actual first failure or a secondary effect 
due to increasing horizontal stresses in the passive zone after a 
first slip (e g Larsson 1983). 
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6. STABILITY ANALYSES 

6. 1 General 

Calculation methods 

Stability a.nalyses for embankments on soft soils can be carried out 
with different degrees of sophistication. For rough calculations in 
order to make sure that the stability is sufficient, an undrained 
total stress analysis using circular slip surfaces (Fellenius 1926) is 
often used. The total stress analysis almost always gives the lowest 
factors of safety in soft soils, but in stiff and highly overconsoli
dated soils an additional effective stress analysis may be required . 

The circular slip surface usually corresponds fairly well to the cri
tical slip surface. The assumption of a circular slip surface also 
makes the calculations fairly simple. In soil profiles containing 
weaker layers, the critical surface may significantly deviate from the 
circular shape and this has to be accounted for . 

The undrained analysis is often based on undrained shear strengths ob
tained from corrected vane shear tests. The estimation of undrained 
shear strengths can be further elaborated by using an ADP-analysis, 
whereby the slip surface is divided into zones of active shear, direct 
simple shear and passive shear. The values of the shear strengths in 
the different zones are then obtained from corresponding tests in the 
laboratory, Fig. 34. 

I
-0

Passive zone Zone of direct Active zone 

Passive shear Active 

t riaxial test Direct shear test triaxial test 

Fig. 34. Relevance of laooratory shear tests to shear strength in the 

field. 
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The ADP analysis was originally developed by Ladd (1969) and has been 
extensively used since then, especially at Massachusetts Institute of 
Technology and at the Norwegian Geotechnical Institute. It becomes 
especially useful in stage-construction of embankments where the in
crease in shear strength, which varies between different zones, is 
taken into account . 

In rough estimates of stability, the shear strength in the fill mate
rial is often neglected. In more elaborate analysis, it has to be 
taken into account . It then has to be considered that the strength 
properties in the fill, which usually consists of granular material, 
may change due to the deformations in the soil below. It is very 
doubtful whether any strength significantly higher than the strength 
at critical density (i.e. no dilatancy effects) can be accounted for 
in fills on soft soils, even if the fill material has been compacted 
to some degree. This is especially valid when the stability is low and 
the initial deformations become large . 

In stage construction, the increase in shear strength due to consoli
dation can be utilized. A procedure for taking this shear strength in
crease into account, which was originally outlined by Aas(1976), was 
recommended by SGI in 1984, (Larsson et al 1984). 

In this procedure, the assumed shear surface is divided into three 
parts. In the part of the shear surface under the embankment where the 
inclination is steep, i.e. the active zone, the increase of the shear 
strength is assumed to correspond to the increase in shear strength 
due to consolidation in plane-strain or triaxial compression . This in
crease in shear strength is actually larger than that normally evalua
ted from the vane shear tests. For a large number of Scandinavian soft 
soils and also for many other soft soils, the increase in active com
pression shear strength amounts to about one third of the increase in 
preconsolidation pressure. Similar values were found for the soils at 
the Antoniny site. 

In the part of the assumed shear surface under the embankment which is 
horizontal or almost level, the increase in shear strength is assumed 
to correspond to the increase in shear strength due to consolidation 
at direct simple shear. The shear strength at direct simple shear is 
normally close to the shear strength evaluated from vane shear tests. 

The shear strength values measured by vane shear tests are mainly in
f l uenced by the horizontal stresses in the ground and increases in 
shear strength under narrow embankments are therefore often not measu
red fully by the vane test, (Law 1985). 
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According to the SGI recommendations, the increase in shear strength 
is assumed to be confined to the extent of the embankment and the 
shear strength outside this limit is assumed to be unchanged. The em
bankment area is here normally assumed to end at the middle of the 
slope, Fig. 35. The comprehensive shear strength testing in the later 
stages of construction at the Antoniny site has confirmed the general 
validity of this assumption. 

Toirect simple shear G" 'Gp r,. P,2 

Fig. 35. 	Simplified estimation of increase in shear strength due to 

consolidation belav an Enlbarikm:mt. 

As an alternative to the ADP analyses the corrected shear strength 
values from field vane tests can be used, but the full shear strength 
increase is thereby often not utilized. 

More elaborate stability analyses normally use a method where the soil 
above the assumed slip surface is divided into slices. All forces 
acting on the individual slices; external forces, interslice forces 
and normal and shear forces on the slip surface, are taken into ac
count, as well as the interaction between the slices. The simplest and 
internationally probably most commonly used method is the simplified 
Bishop method, (Bishop 1955). This method uses circular slip surfaces 
and does not account for all interslice forces. A large number of 
other slice methods have been proposed, e.g. Morgenstern and Price 
(1965) and Janbu (1973). Normally, the safety factors calculated with 
the different methods differ only marginally but the difference 
between accounting for tangential interslice forces and disregarding 
them is often in the order of 10 per cent in calculated safety factor. 
The most commonly used method in Scandinavia is Janbu's "General Pro
cedure of Slices", which also enables a closer study of the interac
tion between forces and stresses in the soil mass (e.g. Svano 1981, 
Larsson 1983). The slip surfaces can be of arbitrary shape and can 
thus be assumed to follow weaker layers in the soil. The calculations 
with the slice methods can be performed as undrained, partly drained 
or drained analyses. 
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For calculation of stability of embankments on soft soils, the normal 
procedure is that the fill material is assumed to be drained and the 
soft soil undrained. Partial drainage during load application may 
occur in overconsolidated soils, but practically stops when the effec
tive stresses reach the preconsolidation pressures, (Tavenas 1979) . 
The effect of this partial drainage on the shear strength is very li 
mited, except- for heavily overconsolidated soils. 

As also the shear strength in the undrained cases is due to effective 
stresses, it may be advocated that it would be more correct to predict 
the pore pressures and use an effective stress analysis for all parts 
of the slip surface. However, the undrained shear strength is simply 
the net result of the effective strength parameters, the original ef
fective stress in the soil, the stress changes and the pore pressures 
resulting from these at failure for a given undrained loading case. At 
low factors of safety, there should therefore not be any significant 
difference in the calculated safety factors for embankments on soft 
soils calculated with total stress analysis or effective stress analy
sis taking pore pressure responses into account. This assumes that 
both the undrained shear strengths are relevant and that the pore 
pressures have been correctly predicted. 

At higher safety factors, differences occur as the total stress analy
sis takes the pore pressures at failure into account, while the effec
tive stress analysis only considers the pore pressures developed at 
the actual stress level. The calculated safety factors using effective 
stress analysis thereby generally become higher in soft soils and 
their physical significance is rather a measure of the current stress 
state in the soil. It is more difficult to interpret from these 
"safety factors' ' how close the embankment is to failure. The safety 
factors calculated assuming drained conditions in the fill and using 
undrained total stress analyses in the soft soi ls, on the other hand, 
are direct comparisons between the shear stresses that can be mobili
zed at failure and the actual shear stresses, (Svano 1981, Larsson 
1983, 1984, Ladd 1985). 

Most stability analyses are made as two-dimensional analyses assuming 
an infinite length of the embankment or slope and uniform conditions 
along its length. All practical problems, however , have finite lengths 
and very often also the conditions in terms of load, geometry and 
shear strengths vary within this length. It is therefore often impo r 
tant to consider the end effects in the stability analyses. This 
becomes increasingly important as the length of the slope decreases. 
To account for the end effects, however, can become rather complex in 
cases where the conditions vary within the potential failure area. 
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The simplest way to account for end effects, often used in calculation 
of very short cuts, is to assume plane ends of the slip surface per
pendicular to the slope. The resisting forces or moments from the ends 
are then added to those from the slip surface below the sliding body 
to obtain the total resistance against shear. This procedure generally 
overestimates the end effects as the most critical case involves some 
curvature o( the ends. Azzouz and Baligh (1978) analysed homogeneous 
slopes using cylindrical slip surfaces with conical and ellipsoidal 
end surfaces. They also worked out design charts for some types of 
strength variations and loads. Recently Gens et al (1988) have analy
sed the same type of problem with a large variation of the shape of 
the end surface. It was found that the elliptical end surface was very 
close to the most critical. The use of plane ends overestimated the 
end effects (F 3_0/F 2_0) by typically 5% . 

Many problems have a geometry which is very different to the homogene
ous slope. Some other geometries have been analysed under idealized 
conditions. Thus, for example, Baker and Leschchinsky (1987) treated 
the problem of the stability of conical heaps, which are often used 
for storage of various materials. 

Both the case of whole cones and the case of truncated cones were ana
lysed under assumption of homogeneous shear strength but with ar
bitrary slip surfaces. The maximum three-dimensional effects were 
found in the case of purely cohesive materials where F3_d/F 2_0
for whole cones could amount to 1.6. This value corresponds to the 
relation found in the study by Gens et al for slides with equal height 
and length. The three-dimensional effect decreases drastically when 
the cone becomes truncated and also when the soil has a frictional 
strength component . 

All available design charts for calculation of stability taking the 
three-dimensional aspects into account are made for more or less idea
lized conditions. Considerable simplifications often have to be made 
of the problems at hand before the charts can be used. 

As far as is known, no calculation programs that can take every kind 
of variation and aspect into account have been developed. 

Predictions of increase in shear strength due to consolidation 

To predict the increase in shear strength due to consolidation, the 
stress distributions and courses of consolidation have to be accurate
ly predicted as the shear strength is a function of the preconsolida
tion pressure and the stress level. 
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The most commonly used relations for prediction of shear strength 
assume that the shear strength in normally consolidated soil is a 
direct function of the preconsolidation pressure 

~fu = c . a'p 

For mineral clays, 1t has been found that c 1s about 0.23~0.04 (Lars
son 1980). In laboratory tests it has been found that the undrained 
shear strength at unloading decreases with increasing overconsolida
tion ratio. Ladd (1977) and Jamiolkowski et al (1985) suggested the 
relation 

~fu = c . a'p (OCR)m 

Also in this expression c is 0.23:0.04 and the value of m found in la
boratory tests is about 0 . 8. 

The c values of 0.23:0.04 are valid for the average of the strengths 
at direct simple shear and active and passive shear. This average 
shear strength is close to both the shear strength at direct simple 
shear and the corrected shear strength from field vane tests. These c 
values have also been found in back-calculation of a number of full
scale failures of constructions on natural soft clays . 

The corresponding constant for the shear strength at active shear in 
mineral soils is about 0.33, while the constant for passive shear is 
much lower and highly variable with the plasticity of the soil. Data 
for these relations can be found in Larsson et al (1984) and Jamiol
kowski et al (1985). 

In field vane tests, the value of m has been found to be close to one, 
which for this type of test makes the relation 

~ = C 'a'fu p 

valid also in overconsolidated clays. 

These relations have been obtained for mineral soils and the in
vestigations of the soils at Antoniny have shown that they have to be 
modified for organic soils and possibly also for other soils with very 
low initial preconsolidation pressures. 

The predictions of increase in undrained shear strength can be made 
from the increase in effective stress and preconsolidation pressure 
due to calculated increases in total vertical stress and dissipation 
of excess pore pressures. The pore pressure dissipation can be checked 
by pore pressure measurements. The values thus calculated do not 
account for the increase in shear strength due to creep effects. The 
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creep effects create quasi preconsolidation pressures that are higher 
than the maximum effective vertical stresses and thereby also corre
sponding increases in undrained shear strength , (Bjerrum 1972,1973, 
Larsson 1986). These effects can be calculated but verification 
usually requires that samples be taken and tested in the laboratory. 

6.2 Predictions of stability for the test fill at Antoniny 

The stability of the test fill in the various stages has been cal
culated taking into account the initial shear strength and the increa
se in shear strength due to consolidation. The sand in the embankment 
has been assumed to have a friction angle of 30°-35°. These relatively 
low values were chosen because of the low density and the expected 
large deformations, especially in the earlier stages. At large defor
mations, only the frictional forces corresponding to the friction 
angle at critical density can be mobilized. 

Rough estimates of the stability in Stage 1, when the first 1. 2 m of 
sand were placed, using undrained shear strength and circular slip 
surfaces and ignoring the shear strength in the fill material, yielded 
safety factors between 2 and 3. Because the geometry with a wide fill 
placed on soft soil with limited thickness and with dense sand under
neath, the lowest safety factors were obtained for local slip surfaces 
in the outer parts of the fill. 

The stability in the first three stages has been calculated with the 
simplified Bishop method . The soil was divided into three zones with 
different magnitudes of shear strength increase; A - below the part of 
the fill with full height, B - below the slopes of the fill and C 
outside the fill, Fig. 36. The soils in these zones were divided into 
layers with characteristic undrained shear strengths and the shear 
strength in the fill material was also taken into account. 

The change in geometry, bulk density and shear strength during the 
consolidation was taken into account at calculation of the stabilities 
in stages 2 and 3. 

Calculations were made with predicted shear strengths using relations 
between undrained shear strengths and stress levels according to Berg
dahl et al (1986). Here calculated stresses and measured pore pressu
res at the end of each previous stage were used. 
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These stability analyses yielded the following safety factors 

Stage F = 1.96 

Stage 2 F = 1.18 

Stage 3 F 1. 22 

The locations of the critical circular slip surfaces are also shown in 
Fig . 36. In stage 1 the critical surface is a local slip surface at 
the outer parts of the fill . In stage 2 it comprises most of the fill 
but, mostly due to the limited thickness of the compressible layers, 
not quite all of the crest. In stage 3 the crest of the fill has 
become narrower and the critical slip surface passes through the back 
of the crest. 

Stability analyses for these stages have also been made using Janbu's 
"General Procedure of Slices" . The calculations have been made for 
stages 2 and 3. The soil has been divided into four zones with consi
deration to mode of shear and shear strength increase . Circular and 
non-circular slip surfaces have been assumed. In accordance with the 
procedure recommended by SGI, the steepest part of the shear surfaces 
under the fill has been assumed to be a zone of active shear. The 
almost horizontal parts of the shear surfaces have been assumed to be 
zones of direct simple shear and the steeper parts of the shear 
surface where it goes up outside the fill to be zones of passive 
shear. The increase in shear strength has been assumed to be confined 
to the soil below the fill within the centres of the slopes . Quasi 
preconsolidation effects on the increase in shear strength have been 
accounted for. The calculated factor s of safety against undrained 
failure in stages 2 and 3 were both about 1.2 (1. 15). 

The shape of the critical shear surface deviated from the circular in 
that it was steeper down to the weakest layer located about 2 m above 
the sand layer. It then followed this layer to below the centre of the 
slope, where it started to go upwards. 

The formation of a distinctly weaker layer in the later stages at 
about 2m above the sand layer originated from the lack of consolida
tion there. 

The stability has also been calculated using effective stress analy
ses. The effective strength parameters for both types of soil had been 
measured to be c'=2 kPa and 0'=30°. 

The pore pressure patterns during the construction stages were measu
red by piezometers in selected points under and outside the fill . The 
pore pressure distributions at various times were thus estimated and 
the safety factors in terms of effective stresses were calculated. 
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The safety factors were calculated just after full load application 
for stages 2 and 3. In stage 1 the corresponding measurements of 
excess pore pressures were lacking. For comparison, the safety factors 
at the end of stages 1 and 2 and one year after load application in 
stage 3 were also calculated. The calculations were made with circular 
slip surfaces and Bishop's simplified method of slices. The same slip 
surfaces as in the total stress analyses were used. The geometries, 
pore pressure distributions and locations of the piezometers are shown 
in Figs. 37 and 38. 
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The calculated factors of safety in stages 2 and 3 just after full 
load application were 1. 07 and 1. 12 respectively. The total stress 
analyses had given the corresponding factors of 1.18 and 1.22. Inge
neral, this confirms that there is no great difference between safety 
factors calculated with undrained total stress analyses or effective 
stress analyses considering excess pore pressures in such cases and if 
the safety factors are low. On the other hand, the safety factors cal
cu lated with undrained total stress analyses should normally be 
lowest. 

The measured excess pore pressures, however, are probably somewhat too 
high, due to the pushing effects at loading . The artesian water pres
sure and very low effective stresses outside the fill also have some 
influence on the relation between the calc~lated safety factors. 

This can also be observed in the calculation of the safety factor in 
terms of effective stresses at the end of stage 1, which was 2.3. This 
is practically identical with the safety factor in the undrained total 
stress analyses after load application . In this load step the load was 
low and th~ critical shear surfaces located to the outer parts of the 
fill, so that the effect of the artesian water pressure and the stress 
conditions outside the fill had a large influence on the results. 

The calculations for the end of stage 2 and one year after load appli
cation in stage 3 showed that the safety factor in terms of effecti ve 
stresses rapidly increases with the dissipati on of excess pore pressu
re . 

Analyses of the stability in the failure test have been made with 
Janbu's "General Procedure of Slices ". In these analyses the strength 
of the fill material has been assumed to correspond to an ang l e of in
ternal frict ion of 35° . This increase in strength in relation to the 
previous stages has been assumed because of the successive compaction 
of the sand during cons t ruction and the higher density . On the other 
hand, no account has been made for possib le "false cohesion" in the 
partly saturated mater i al. 

The shea r st rength has been evaluated as the original shear strength 
plus the f ull increase due t o consolidation and creep effects . This 
inc rease has been estimated from t he measured preconsolidation pressu
res in samples taken before the failure tests . It has further been 
supported by measured and calculated deformations during the first 
three construction stages and piezocone soundings and vane shear tests 
before the fa i lure test . The anisotropy of the shear strength has also 
been considered . The increase of shear strength has been assumed to be 
confined to the soil inside the centres of the slopes in the previous 
construction stage . The genera l pattern of shear strengths and shear 
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strength increases used has been supported by the vane shear tests 
performed in various locations at different stages of construction. 

Although the failure test was fairly rapid there was a considerable 
pore pressure dissipation and increase in effective stress in the 
upper peat layer . This stress increase, however, had already been ac
counted for by using the high quasi preconsolidation pressures in this 
layer for estimation of the undrained shear strength. Further increa
ses in shear strength during the failure test can only have been mar 
ginal and have not been considered. 

After the failure test a fairly large passive zone was '' observed". 

This zone is larger than the calculated "critical" failure zone, Fig. 

39. Normal two-dimensional calculations using the "observed" failure 
zone yielded safety factors of about 0.9 (0.91). The corresponding 
safety factor in the "critica l" failure zone was about 7 per cent 
lower, (0 .85 ) . 

failure zon 

7.8 rn 

l ... .. .. . . . . . ..... 
Dense sand 

Fig. 39. Failure zones am shear strength parameters. 

Two-dimensional calculations assume a uniform geometry fo r an infinite 
length. The actua l fill had a shape which could roughly be described 
as a truncated pyramid. As the length in relation to the height became 
smaller for each successive construction stage, the three-dimensional 
end effects also became visually more obvious . 

Estimating these three-dimensional effects, however, is in this case 
unusually complex. The loading was uneven with a successively decrea
sing crest and increasing slopes and the shear strength became more 
and more unevenly distributed with depth and mode of shear and also 
along as well as across the potential failure zone . Taking anisotropy 
into account , the variation in shear strength below and outs ide the 
fill was more than five times in the failure test . Furthermore, the 
strength of the fill material became a factor of increasing importance 
during construction. 
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If the case could have been idealized to a uniform strength distribu
tion the geometry would have fallen between the case of a uniform 
slope wi th finite length and the case of a truncated cone, but with 
mo r e resemb l ance to the l atter. 

To obtai n a rough estimate of the three-dimensional effects for the 
actua l test fill by calculation, a simplified model has been made . In 
this model the fill has been simp l ified to an embankment with the same 
cross- section as the -centre of the fill . The length of the failure 
along the embankment has been assumed to be equal to the distance 
between the midpoints of the slopes of the fi l l on each side of the 
crest. The end surfaces have been assumed to be plane, Fig. 40. 
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Fig. 40. Assuned failure zones in the simple mxiel for estimation of 

three-dimensional end effects. 
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The area of the end surfaces has been calculated as the area between 
the original ground surface and the assumed fa i lure surface in the 
soil. No end effects have been assumed in the f i ll material. 

The increase of the shear strength has been assumed to be equal for 
the whole length of the failure and the same parameters as in the two 
dimensional calculation have been used. No increase in strength has 
been assumed in the end surfaces but only the original shear strength 
with consideration to anisotropy. 

The stability has then been analysed using the "General Procedure of 
Slices" with the end effects evenly distributed over the entire length 
of the failure as forces along the line of thrust. 

The two-dimensional calculations of stability in stage 3 had yielded a 
safety factor of about 1.2 (1.15). The three-dimensional calculations 
with the simple model gave an increase in safety factor of 17 %. This 
value reduced with typical effects of curved ends becomes about 11%. 
The charts from Gens et al (1988) and Baker and Leschchinsky (1987) 
both indicate that, if the fill with the dimensions in stage 3 was 
simpl i fied to a homogeneous slope or a truncated cone in a homogeneous 
cohesive soil, the increase in safety factor because of the three 
dimensional aspect would be about 10%. 

It can thus be deduced that the real factor of safety against failure 
in stage 3 was about 1.3. The three-dimensional effects from the 
charts for stage 2, when the strength was still relatively uniform, 
were only about 5%. 

In the failure test the height increased and the midpoints of the 
slopes became closer, which normally would involve increasing three
dimensional effects. On the other hand , the shear strength increased 
in the fill itself and in the soil below, whereas the strength in the 
end surfaces remained unchanged. 

The three-di mensional calculations for the final stage in the fai lure 
test increased the safety factor by 18% in relation to the two
dimensional calculations. This figure reduces to 12% if typical 
effects of curved ends are applied. The required end effects to obtain 
a safety factor of 1 at failure were between 10 and 18% depending on 
the assumptions regarding the failure surface in the passive zone. 

The calculated factor of safety using the simple model for three- di 
mensional effects was just below 1 for the critical failure zone 
(0.95- 1.00) and just above 1 for the "observed" failure zone (1.02
1.07). 
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The corresponding three-dimensional effects for a homogeneous slope in 
homogeneous soil was about 30% but the effect for a truncated cone was 
only a few per cent higher than for the previous configuration and 
still about 10%. 

Some calculations of the stability in the failure test using effective 
stress analyses have also been made. In these calculations the pore 
pressure distribution has been estimated using the pore pressures mea
sured at various locat1ons under the fill just after application of 
the final load. Only 2-dimensional analyses have been made. 

A first calculation was made using the simplified Bishop method and a 
large number of slices. This type of analyses yielded a very low 
factor of safety of around 0.70 as compared to 0.85 in the analyses 
using undrained shear strength, Fig. 41. The two numbers can not be 
compared directly, however, as the simplified Bishop method neglects 
the tangential interslice forces while the Janbu method takes them 
into account. These first calculations also gave problems with numeri
cal instability. 

New calculations were made with effective stress analysis using fewer 
slices as recommended by Janbu (1980), the same "critical" slip 
surface as previously found in the analyses with undrained shear 
s trength and the Jan bu method of calculation. They yielded safety 
factors just below 0.9 which is in the same order as in the analyses 
with undrained shear strength. It should be observed that there were 
only 5 piezometers in the actual volume of soil and the results of the 
effective stress calculations are very sensitive to the assumed pore 
pressure distribution. 
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7. DISCUSSION AND CONCLUSIONS 

By using stage construction and utilizing the increase in shear 
strength due to consolidation, it has been possible to construct an 8 
m th ic k fill on soft organic soil where the origina l shear strength of 
5-7 kPa would only have permi tted a fill of about 2 m in thickness to 
be placed . 

The increase in shear strength was confined to the soil below the 
fill . The largest increase of shear strength occurred under the crest 
of the fill and remained high within approximately the midpo ints of 
the slopes. Outside these points i t drastically decreases and no inc
rease in shear strength was detected in the soi l under or outside the 
toes of the slopes. The increase in shear strength thus large ly mirro
red the distr i bution of settlements and the increase in effect ive 
stresses. 

The original soil was overconsolidated. A slight increase i n shear 
strength was detected when the effective stresses increased, even when 
they remained below the preconsolidation pressure and the latter was 
unchanged. Exceeding the preconsolidation brought a large increase in 
shear strength. This increase, however, was not directly proportional 
to the increase in preconsolidation pressure but decreased with inc
reasing stresses . The difference to a constant relation between inc
rease in preconsolidation pressure and increase in shear strength 
would normally be small but in this case the preconsolidation pressure 
was increased by up t o five times . 

The shear strength in some layers increased significantly more than 
the corresponding effective stress because of creep deformations and 
associated increases in quasi preconsolidation pressure and shear 
strength . 

The results from the vane shear tests could not be used to estimate 
the undrained shear strength by app l ication of t he general correction 
factors. The parts of the soil profi l e where la r ge errors occurred 
consisted of organic calcareous soi l with a content of calcium car 
bonates of 80 to 90 % and an organic content of about 5 %. This type 
of soil is very different fr om the soils for which t he general co r rec 
tion factors used i n Sweden have been produced . In this case , however , 
t he vane shear tests were calibrated against advanced laboratory tests 
why they could be used both to monitor relative changes in shear 
strength and to supplement other estimations of the shear stength . 

Cone penetration tests with cones specially designed for soft soils 
a l so proved very useful for measuring changes in shear strength . 
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The inc rease i n. shear strength was much l ower in the mi dd le of the 
l ayer of low permeable calcareous soil than i n the rest of the pro f i 
le. This was because of the limited amount of consolidation which 
cou l d take pl ace here wi thin t he time for construction . In this way a 
distinctly weaker horizontal layer was created in the soil, which go
verned the stabili t y of the fi l l. If more time for consolidation had 
been allowed or if the drainage paths had been shortened by effective 
verticaT drains , the shear strength and the stability would have im
proved cons i derab ly. 

In the failu re test the deformations up to fa i lure were relat i vely 
small compared t o t he deformation in the previous load stages. The 
pore pressures developed large ly as would be expected with considera
tion to state of consolidation and applied load. Fa i lure occurred at 
night and the deta i led behaviour during the actual failure was not ob
served. There were no measurements during the previous day, however, 
that could have been taken as a clear indication of imminent failure. 

Failure occurred along a zone which could be divided into zones of 
active shear, direct simple shear and passive shear. The failure zone 
was clearly non-circular. The shape of the failure zone was governed 
by the existence of the weak horizontal layer in the middle of the 
calcareous soil. 

The passive zone had a large extent both in length and width. The 
length was governed by a ditch which formed a zone of weakness 19 m 
outside the toe of the fill. This is about two times the length of the 
passive zone for the cal~ulated critical failure surface. It is not 
clear if all of the passive zone was involved in the first slip or the 
final extent developed as the failure progressed. 

The stability analyses for the first loading stages have been carried 
out using both total stress analysis and effective stress analysis. 
Calculations were made with the simplified Bishop method with circular 
slip surfaces and with Janbu's "Genera l Pr ocedure of Slices " with slip 
surfaces of arbitrary shape. In the total stress analyses the shear 
strength anisotropy and the increase in undrained shear strength were 
taken i nto account . In the effective stress analyses the pore pressu
res measured after load application were used . In all these analyses 
the calculated safety factors became 1. 1 to 1.2. There was thus no 
great difference in calculated safety factor whether circular or non
circular slip surfaces were used in the stages before a very pronoun
ced weaker layer was created. Nor was there any great difference in 
these relatively low safety factors whether total stress analyses or 
effective stress analyses with measured pore pressures were used. 
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The fill gradually became a decreasing rati o between length and height 
and the three -dimensional effects became inc reasi ngly obvious. These 
effects, however, were smal l er than the cor responding effects in a ho 
mogeneous slope in homogeneous soil. ·This i s partly due to the shape 
of the fill, which was close to a t runcated pyramid, and partly 
because of the lack of shear strength increase outside the fill area, 
whereas the s{rength under the fill increased 2 to 3 ti mes. 

The simple model used to calculate the three -dimensiona l end effects 
is very coarse but with the supplementary use of design charts for ho
mogeneous slopes and truncated cones it is still possible to deduce 
the likely order of these effects. The three-dimensional end effec ts 
may thus be assumed to have been about 5 per cent in the second load 
stage, increasing to about 10 per cent in the third stage and to 10 to 
20 per cent in the final failure test . This increased the safety 
factors in stages 2 and 3 to 1. 2-1.3 . 

The final failure test was ana lysed with Janbus "General Procedure of 
slices" as the critical shear zone was clearly non-circular both in 
calculations and as observed after failure. In these calculations the 
shear strengths i n the soil have been estimated from the r elat i ons 
between shear strength and preconsolidation pressure that were found 
in the laboratory tests. The preconsolidation pressures have been mea
sured in oedometer tests on samples taken just before the failure 
tests and thus include quasi preconsolidation effec t s due to creep. 
Anisotropy has been considered and the estimations of shear strength 
have been suppor t ed by the relative change in shear strength observed 
in vane shear tests and piezo -cone soundings. 

The shear strength in the fill material has been assumed with conside
ration to its relative density and the deformations in the ground 
below . 

Two-dimensional calculations performed in this way gave safety factors 
for the critical failure zone, which is considered most relevant in 
this context , of about 0 .85 . The corresponding safety factor for the 
failure zone with the "observed '' extent of the final pass i ve zone was 
about 0. 91 . When the three-dimensional effects are added the safety 
factors become close to unity . 

With due respect to the uncertainties in the assumptions on mainly the 
strength of the fi l l and the three-dimens ional effects, it can still 
be concluded that the method used for prediction of strength , coupled 
with the common calcu lation methods with sl i ces and tak i ng anisotropy 
into account, yielded very reasonable results . 
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